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NUMERICAL MODELING OF SOIL-PILE INTERACTION IN
LIQUEFYING SOILS FOR A WATER CROSSING BRIDGE
Endi Zhai
HDR Engineering, Inc.
Irvine, California-USA

ABSTRACT
A recent design of a water crossing bridge encountered potential liquefiable soils beyond the depth that our standard-of-practice
simplified liquefaction evaluation method (NCEER, 1997, Youd et al., 2001) can apply. A field investigation including deep soil
borings and cone penetration test soundings was performed and revealed that loose to medium dense sandy alluvial soils are about
80 feet thick below the mud line. To evaluate liquefaction susceptibility of deeply buried soils and liquefaction effect on the
response of the abutment Cast-In-Steel-Shell (CISS) piles, nonlinear effective-stress numerical models were built that were fullycoupled with a pore pressure generation scheme. The excess pore pressure ratios were calculated at various soil layers in the
alluvium and the p-y curves were adjusted based on the reduced effective friction angles for partial excess pore pressure generation
and based on the post-liquefaction residual strength for fully liquefied layers. A soil-pile-interaction model using the adjusted p-y
curves connecting the CISS piles to soil grids was built and analyzed for pile bending moment, shear forces and deflections. The
above values were further compared with those from the standard pseudo-static lateral pile capacity analyses. Differences are
discussed and the recommendations for the bridge pile foundation design are made.
INTRODUCTION
A water crossing rail bridge will be constructed as an 8-span
bridge with 2 abutments and 7 bents with a total length of
approximately 336 feet in a coastal area of California. The
bents and abutments are planned to be supported on deep
foundations. Each support consists of a single row of five 24inch diameter cast-in-steel-shell (CISS) piles. A field
exploration was performed which included the drilling,
logging and sampling of 2 mud rotary borings and 4 cone
penetration test (CPT) soundings up to a depth of 110 feet.
Various laboratory testing was assigned to assist classifying
the alluvial soils and determine engineering properties
required for pile foundation design. The encountered
potential liquefiable soils are up to approximately 80 feet
below the mud line based on the CPT data. The sloping
abutment location and liquefaction susceptibility of deeply
buried soils are not appropriate to be evaluated using our
standard approach which is based on a simplified method
(NCEER, 1997, Youd et al., 2001) that is generally
considered applicable only for a liquefaction depth up to 50
to 60 feet under a level ground condition. The design issues
for the proposed CISS piles penetrating into the underlying
bedrock are deflections and forces/moments in liquefying
soils during seismic shaking. To evaluate liquefaction
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susceptibility of deeply buried soils and liquefaction-induced
lateral spreading effect on piles, nonlinear effective-stress
numerical models were built that were fully-coupled with a
pore pressure generation scheme. The numerical models were
created using the commercial finite difference code FLAC
Version 5 (Itasca, 2005). We used a Mohr-Coulomb (linear
elastic/perfectly plastic) soil model coupled with an empirical
pore-pressure generation model (Dawson et al., 2001). Pore
pressures are generated in response to shear stress cycles,
following the cyclic-stress approach developed by Seed and
coworkers (Seed et al., 1976; Seed, 1979). The cyclic
strength curves of potentially liquefiable layers derived from
the equivalent SPT blow counts are corrected for higher
confining pressures using correction factors, Kσ, proposed by
Youd et al. (Youd et al., 2001). The effect of pre-shaking
static shear stress under sloping ground (Kα correction) was
also considered. The excess pore pressure ratios, ru values,
were calculated at each of the subsurface soil layers. Based
on the ru time histories, we adjusted the currently available py recommendations that were based on static and cyclic
lateral load tests (e.g. API, 1987) with the reduced effective
friction angles (Dickenson et al., 2002) for partial excess pore
pressure generation and with the post-liquefaction residual
strength (Seed and Harder, 1990; or Stark and Mesri, 1992)
for fully liquefied layers. The shear strength reduction due to
1

partial excess pore pressure generation was estimated as
function of ru by the following equation:

'equivalent = arctan[(1-ru)tan'static]

(1)

Based on Dickenson et al. (2002), the above equation is
applicable when 1.0<FSL<1.4, where FSL is the factor of
safety against liquefaction. When the FSL is greater than 1.4,
there is no need to adjust the p-y curve curves. The FSL of
1.4 is roughly corresponding to a ru of 0.2 for sandy soils
(Marcuson and Hynes, 1990). Therefore, there is no
adjustment for p-y curves when the ru values have not
reached 0.2. The FSL of 1.0 is roughly corresponding to a ru
value of 1.0, which is defined as liquefaction. The p-y curve
of liquefying sand is typically approximated by the p-y curve
for soft clay corresponding to the post-liquefaction residual
strength of the liquefying sand. It is interesting to note that
numerous investigators have found that liquefied sands to
silty sands to silts are dilative when sheared during
liquefaction (Wilson et al. 1999; Dickenson et al. 2002). This
behavior indicates that once the soil liquefies, large strain can
be mobilized at slope sites and at large strain the strength of
the soils increases. However, it is common in practical design
to ignore the strength gain due to dilation. We selected the
Seed and Harder (1990) relationship to develop the postliquefaction residual strength which is in turn used to develop
the p-y curves following the API (1987) method.
In order to more realistically estimate the pile bending
moment, shear forces and deflections subject to liquefactioninduced lateral spreading under the design earthquake, we
performed the 2-dimensional nonlinear effective analysis for
a free-field condition (without pile foundations) to estimate
the excess pore pressure ratio, ru values and their time
histories at each soil layer during shaking. Based on the time
history of ru we use the original p-y curve for a layer without
adjustment for the shaking time when ru is lower than 0.2.
After ru is equal or greater than 0.2, the p-y curves will be
updated using the adjusted p-y curves based on the reduced
effective friction angle. After ru further rises during shaking,
the shear strength at each soil grid based on the reduced
effective friction angle would further decrease. When the
decreased shear strength is equal or less than the postliquefaction residual strength, the post-liquefaction residual
strength will apply and the p-y curves will be updated using
the soft clay model with the post liquefaction residual
strength. The above procedures are coded into the FLAC
program using the embedded language FISH such that the
updating of p-y curves are automatic in the soil-structureinteraction (SSI) model which includes the CISS piles
connecting to soil grids through the updatable p-y curves in
accordance with the computed ru values. We developed three
pairs of input ground motions meeting the project ground
motion criteria which will be described in the following
sections. We computed soil seismic deformations, pile
deflections, shear and bending moments, and soil movements
with respect to piles for each pair of the input ground motions
using the nonlinear effective stress soil model. The pile
forces, moments and deflections from the nonlinear effectivePaper No. 5.13a

stress model described above were further compared with
those from the standard pseudo-static lateral pile capacity
analyses using the LPILE version 5 plus (Ensoft, 2006).
Differences are discussed and the recommendations for the
bridge pile foundation design are made.
SUBSURFACE CONDITIONS
The bridge site is generally underlain by fill and alluvium
which are in turn underlain by formational materials. A
geologic cross section for a portion of the bridge is shown in
Figure 1. Fill (Qaf) soils were generally observed to underlie
the bridge abutment areas. Fill materials generally consisted
of damp, medium dense, silty gravelly sand. The alluvium
(Qal) was encountered underlying fill soils and at the channel
bottom extending to depths ranging from approximately 53
feet at the Abutment 1 location to 100 feet at the Abutment 9
location where CPT-4 was drilled. The depth of alluvial
deposits generally increases along the bridge alignment from
Abutment 1 to Abutment 9. The alluvial material generally
consisted of saturated, loose to very dense, silty fine sand
with scattered shell fragments, and occasionally stiff to very
stiff sandy and silty clays. The tertiary bedrock was
encountered beneath the alluvium. The bedrock formation
was observed to consist of reddish and moderately cemented
clayey and silty sandstone.
Groundwater was encountered at an approximate elevation of
8 feet above mean sea level (MSL). Design groundwater
table is recommended to be at 10 feet above MSL. The
ground surface elevation at the abutment location is roughly
20 feet above MSL. The mud line elevation near the centre of
the channel is about -10 feet above MSL. So, the abutment

Fig. 1. Geologic cross section at the south
Abutment location
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Table 1. Soil Properties

No. of
Soil
Layer

Shear

Depth
(ft)

From

Total
Unit
Weight
(pcf)

USCS
Soil
Type

To

1)

Strength
Cohension
(psf)

Angle of
Friction
(deg)

Shear
Wave
Velocity
(ft/s)

Shear
Modulus
(psf)

Strain-Dependent
Shear Modulus /
Damping Curve
Name

2)

1

0

5

Fill

120

100

30

700

1.83E+06

PCA 0 to 10 m

2

5

20

Fill

120

1000

0

600

1.34E+06

FML 0 to 10 m

3

20

30

Sand

120

100

30

700

1.83E+06

PCA 10 to 20 m

4

30

60

Sand

120

300

32

800

2.39E+06

PCA 10 to 20 m

5

60

80

Sand

120

100

30

800

2.39E+06

PCA 20 to 40 m

6

80

90

Sand

120

150

34

850

2.70E+06

PCA 20 to 40 m

7

90

110

Silt

120

300

28

800

2.39E+06

FML 20 to 40 m

Bedrock

130

2000

1.62E+07

Base

8

below 100'

Notes: 1) Used only in FLAC analysis
2) Roblee and Chiou (2004), FLAC Hyst. damping Parameters were curve-fitted based on these curves

height is about 30 feet with a roughly 2H:1V slope. Based on
the field and laboratory investigations, we developed the
design soil strength parameters as shown in Table 1.
DESIGN GROUND MOTIONS
The design ground motions for the project follow the
American Railway Engineering and Maintenance-of-Way
Association (AREMA) seismic design criteria as documented
in Chapter 9 of the AREMA Manual for Railway
Engineering (AREMA, 2008). The vulnerability of a bridge
is determined by the risk associated with the earthquake
ground motion and the specified performance criteria.
Determining an acceptable seismic risk is a very complex
task that must consider both social and economic aspects.
Obviously the amount of risk that may be accepted for some
bridges is greater than for others. Factors such as the volume
and the type of train traffic, the value and the importance of
the bridge and the cost of loss of use have to be considered
when establishing acceptable seismic risk levels. AREMA
requires the following three levels of earthquakes for bridge
design:
Table 2. Ground Motion Levels

Ground
Motion
Level
1
2
3

Frequency

Performanc
e Criteria

Occasional
Rare
Very

Serviceabilit
y
Ultimate
Survivabilit
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Average
Return
Period
(ARP)
(years)

BridgeSpecific
ARP
(years)

50-100

95

200-500
1000-2400

373
1980

Rare

y

Level 1 Ground Motion represents an occasional event with a
reasonable probability of being exceeded during the life of
the structure. After Level 1 earthquake, trains are allowed to
proceed at a reduced speed until inspections are completed,
and the track is cleared. The stresses and deformations are
limited to immediate use of the structure after a Level 1
earthquake. Level 2 Ground Motion represents a rare event
with a low probability of being exceeded during the life of
the structure. After Level 2 earthquakes, trains are stopped
until inspections are completed. Structural damage that can
be readily detected and economically repaired may be
allowed. By allowing the structure to respond beyond the
elastic range and undergo inelastic deformations, the
earthquake resistance capacity of bridges with good ductility
is significantly increased. Level 3 Ground Motion represents
a very rare or maximum credible event with a very low
probability of being exceeded during the life of the structure.
After Level 3 earthquake, the expected track damage would
prevent immediate access to the bridge. The performance of
the bridge during such earthquakes will mainly depend on the
ductility and redundancy characteristics of the bridge and on
the additional safety measures designed to prevent bridge
collapse. The detailed return period for each level of
earthquakes is determined based on the immediate safety
factors, immediate value factors and replacement factors.
Chapter 9 of the AREMA manual (AREMA, 2008) provides
definitions and guideline about these factors. Based on the
above factors for this bridge, we calculated the bridgespecific average return period of each design earthquake
level as shown also in Table 2.

3

We developed the outcropping bedrock motion’s uniform
hazard spectrum (UHS) using the site-specific probabilistic
seismic hazard analysis (PSHA) approach. Our PSHA source
model is based on the seismic source model used in
developing the 2008 National Probabilistic Seismic Hazard
Maps by USGS which were included in the commercial
computer program EZ-FRISK V7.34 (Risk Engineering, Inc.,
2009) that was used for this analysis. The attenuation
relationships selected in our analysis were the same as used
by USGS for the 2008 National Probabilistic Seismic Hazard
Maps, i.e., Boore and Atkinson (2008), Campbell and
Bozorgnia (2008), Chiou and Young (2008). Since the site is
situated in a region likely affected by near-source ground
motions, we have included the rupture directivity and nearsource effects using the Somerville et al. (1997) and
Abrahamson (2000) models. The results were obtained by
taking an average of the hazard results from these attenuation
relationships. A tripartite plot of the developed outcropping
rock motions corresponding to the serviceability limit state,
ultimate limit state and survivability limit state is presented in
Figure 2.

Fig. 3. Spectral-Matching

magnitude and distance based on hazard deaggregation at the
PGA value. The mode magnitude and mode distance are Mw
6.7 and 3.8 km, respectively. We then selected three seed
time histories from the PEER NGA database based on the
closest similarity of the seismological and geological
features, and then spectrally-matched to the target UHS. The
ground motions containing a large velocity pulse or fling
from forward rupturing earthquakes can be particularly
damaging to bridge structures. These have been considered in
selecting the seed ground motions. A summary of the

Fig. 2. Target UHS of Outcropping Rock Motions
The controlling event magnitude and distance to the site was
determined by a deaggregation analysis. We selected the
mode magnitude and distance based on the peak ground
acceleration (PGA) value. It is realized that the controlling
magnitude and distance may not be the same if we
deaggregate the hazard based on a spectral acceleration value
at a different period; however, we selected the mode
Paper No. 5.13a

Fig. 4. Spectral-matched and baseline-corrected
outcropping rock motion
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selected seed time histories is provided in Table 3. The
spectral-matching procedure reduced these deviations in the
period range important to the structure while preserving the
non-stationary characteristics. We used the computer code
RspMatch (Abrahamson, 1992) which is incorporated into
EZ-FRISK V7.34 (Risk Engineering, Inc., 2009) to perform
the spectral matching.

confining pressures using correction factors, Kσ, proposed by
Youd et al. (Youd et al., 2001). The effect of pre-shaking
static shear stress under sloping ground (Kα correction) at the
abutment location was also considered.
FLAC Numerical Mesh

Table 3. Summary of Selected Seed Time Histories

Earthquake

Station

1989 Loma
Prieta
1995 Kobe,
Japan
1979
Imperial
Valley

Gilroy
Array #3
NishiAkashi
El Centro
Array #8

JoynerBoore
Dist.
(km)

PGA
(g)

6.9

12

0.47

6.9

7

0.49

6.5

4

0.52

Magnitu
de
(Mw)

El. +20’

After matching with the target UHS, we de-convolved the
outcropping rock motion to the FLAC model base using the
program SHAKE (Idriss and Sun, 1992). The matched
acceleration was input from the bedrock as “outcrop” and the
“within” response at the FLAC model base was calculated to
be the input motion for the FLAC model. Note that there are
two types of base boundary conditions for FLAC model, i.e.,
a rigid base or a compliant base. The SHAKE “within”
motion is appropriate for the rigid base which is applicable to
the underlying bedrock at the project site. The spectralmatching process is shown in Figure 3. The matched
outcropping rock motions are shown in Figure 4. Note that
we only plot the first motion matched for the UHS
corresponding to Level 3 earthquake. We also only present
the analysis results based on the Level 3 earthquake first
input motion due to space limitation for this paper. The
project design requires using the maximum responses from
all three input motions.
LIQUEFACTION EVALUATION
Unlike the standard simplified approach (Youd et al., 2001)
where liquefaction potential is assessed as a post-processing
factor of safety by comparing the cyclic resistance ratio
(CRR) with the equivalent cyclic stress ratio (CSR), we
performed a 2-dimensional nonlinear effective-stress FLAC
analysis to evaluate excess pore-pressure ratio time histories
at each of the alluvial soil layers. Pore pressure generation in
FLAC is incremental and fully integrated with the nonlinear
dynamic analysis. We used a Mohr-Coulomb (linear
elastic/perfectly plastic) soil model coupled with an empirical
pore-pressure generation model (Dawson et al., 2001). Pore
pressures are generated in response to shear stress cycles,
following the cyclic-stress approach developed by Seed and
coworkers (Seed et al., 1976; Seed, 1979). The cyclic
strength curves of potentially liquefiable layers derived from
the equivalent SPT blow counts are corrected for higher
Paper No. 5.13a

Notes:
1)See Table 1 for Layer Definition
2)Excess pore pressure ratios are calculated in
Layers 3, 4, 5, and 6.

El. -120’

133+00

135+50

Fig. 5. Free-field liquefaction evaluation FLAC model

FLAC numerical mesh representing the Abutment 9 area is
presented in Figure 5. FLAC model base boundary is at El. 120 feet. In the initial static analysis to compute in-situ
stresses, the base boundary was fixed both horizontally and
vertically and the side boundaries were only fixed
horizontally. In the dynamic analysis, the acceleration time
history was applied at the base boundary. The horizontal
restraints of the side boundaries were released and replaced
with the free-field boundaries. The plane waves propagating
upward suffer little distortion at the boundary because the
free-field grid supplies conditions that are identical to those
in an infinite model.
Analysis Results
Excess pore pressure ratios, ru values, were computed in the
alluvial soils. The contours of ru values at the end of shaking
are presented in Figure 6. It can be observed from Figure 6
that the ru values at the end of shaking under the abutment
embankment did not reach 1.0 and tend to be less than those
at the bent areas in the channel. Since we ignored the pore
pressure dissipation after buildup, the end-of-shaking ru
values are the highest ru values during shaking. A full
liquefaction has not been reached at the area under the
approach embankments. But all the ru values at the end of
shaking are greater than 0.2, indicating that there is a
reduction in shear strength due to pore pressure buildup. In
order to schematically show the updating of the p-y curves at
5

sd_pore_pres , ru
5.00E-01
5.50E-01
6.00E-01
6.50E-01
7.00E-01
7.50E-01
8.00E-01
8.50E-01
9.00E-01
9.50E-01

Approximate loca tions where
ru time history is recorded.
+20’
Abut 9 Piles
Location
0’

Grid (36,30)
Grid (36,27)
Grid (36,24)

Bedrock
Layer-5
Layer-4
Layer-6
Layer-3
Layer-7
Layer-2
Layer-1

+20’

Maximum vector = 15”

0’

-

-20’

-

-40’

-

-60’

-20’

Grid (36,21)
Grid (36,19)
-40’

Grid (36,16)
Bent 8 Piles
Location

-60’

Fig. 8. Displacement vectors at the end of shaking

Fig. 6. Contours of ru at the end of shaking

a different level of ru values during shaking, we also
“recorded” the ru time histories at six representative depths,
as shown in Figure 7. A FISH code subroutine was
programmed into FLAC such that the updating of p-y curves
is automatic based on the ru value at each soil grid and based
on the p-y curve criteria for a partial excess pore pressure
generation and full liquefaction conditions recommended in
this paper.
We also analyzed the abutment soil movements (settlements

Excess Pore Pressure Ratios (Ru)

(10

-01

)

and lateral spreading) subject to seismic shaking using the
nonlinear effective-stress FLAC model. In the standard
design, the abutment seismic settlement is typically evaluated
using the Tokimatsu and Seed (1987) method which was
derived for a level ground condition. The lateral spreading is
typically evaluated using a simplified Bartlett and Youd
(2002) method, or a Newmark type of analysis with the postliquefaction residual strength being assigned to the
liquefiable layers. Since the maximum ru values under the
abutment embankment is less than 1.0, it would be over
conservative to use these simplified standard methods. The
displacement vectors at the Abutment 9 and Bent 8 locations
are shown in Figure 8. The maximum free-field (no pile
pinning effect) displacement vector is approximately 15
inches.
SOIL-PILE-INTERACTION ANALYSIS

8.000
7.000
6.000

HISTORY PLOT
Y-axis :
24 sd_pore_pres ( 36, 30) PRP

5.000
4.000

Cast-In-Steel-Shell piles of 24 inch diameter have been
selected to support the bridge superstructure. Based on
information provided by the project structural engineer, the
CISS piles at each support location consist of a single row of
5 piles at a center-to-center spacing of 8 feet. The CISS pile
structural properties are summarized in Table 4.
Table 4. Structural Properties of CISS Piles

27 sd_pore_pres ( 36, 27) PRP
30 sd_pore_pres ( 36, 24) PRP

3.000

33 sd_pore_pres ( 36, 21) PRP

Ru = 0.2

2.000

35 sd_pore_pres ( 36, 19) PRP
38 sd_pore_pres ( 36, 16) PRP

No. of
Piles per
Support

5

X-axis :
1 Dynamic time

1.000

5

10

15

20

25

30

35

Time (Sec.)

Pile
Type

Diam
eter
(in.)

Effective
Unit
Weight
(pcf)

Effective
Young’s
Modulus
(ksi)

Effective
Moment
of
Inertia
(in.^4)

24” Dia.
0.5”
Thick
CISS

24

178

4,122

22,749

Fig. 7. Time histories of excess pore pressure ratios
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SSI Model

The p-y curves for non-liquefying soils are assigned for soil
grids where the calculated ru values at the current time step
are equal or less than 0.2, which is roughly corresponding to
5 second of shaking as shown in Figure 7. The p-y curves at
each depth are updated after the calculated ru values are
greater than 0.2, but not resulting in the decreased shear
strength to be less than the post-liquefaction residual
strength. When the decreased shear strength is less than the
post-liquefaction residual strength, the post-liquefaction
residual strength will apply and the p-y curves will be
updated using the soft clay model with the post liquefaction
residual strength.

Max Pile
Deflection
=10.9 in.
Max. soil
disp.=11.4 in.

Fig. 9. Displacement vectors at the end of shaking
Displacement (in.)
-15

-10

-5

0

Abut.
Pile

Bent
Pile
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Soil
around
Abut. Pile

0
-10
-20
-30
-40
-50
-60

Dynamic SSI Analysis Results
Figure 9 shows the end-of-shaking displacement vectors of
the 24 in. diameter CISS piles and the surrounding soil grids.
Loads acting on the piles consist of both inertia loads and
kinematic loads. The kinematic loads are generated through
the relative movement of piles versus soils during dynamic
shaking. The maximum pile deflection is 10.9 inches at the
pile head; the maximum soil movement is 11.4 inches
occurred at an elevation of -5 feet to -10 feet. As will be
discussed at a later stage, the kinematic loading acting on the
piles are through a differential movement of pile versus soils,
or vice versa. A plot of post-shaking displacements of piles
and soils around the piles is presented in Figure 10. It can be
observed that the differential movement between the bent

20
10

Soil
around
Bent Pile

Elevation (ft )

The piles are connected with soil grids through nonlinear
normal springs (derived based on p-y curves). We have
recommended in the proceeding sections about adjusted p-y
curves and updating procedure corresponding to the excess
pore pressure ratio, ru values. For the shear springs which
transfer the skin friction between piles and soils (q-s curves),
we simplified the process and used the reduced effective
friction angle values at the beginning of shaking. Whereas
the reduced effective friction angle would result in an
effective shear strength in a soil layer that is lower than the
post-liquefaction residual strength, that soil layer will be
treated as soft clay with a post-liquefaction residual strength.
We understand that the CISS piles will be installed through
pre-drilling to a depth of a few diameters above the design tip
elevation and then tipped into the bedrock by driving.
Therefore, we assigned an equivalent axial stiffness at the
bottom element of pile that would result in a 0.25 inch
settlement corresponding to an axial load of 400 kips per pile
(t-z curves). The tip is then fixed in the vertical direction. The
pile cap has a width of 66 inches and a height of 60 inches.
The superstructure loads and pile cap weights are converted
into an equivalent mass of a deck beam connecting the pile
heads in the bridge longitudinal direction. A pin connection
is assumed at the pile head. The abutment horizontal passive
resistance is ignored in the analysis. The bent and abutment
pile responses are governed by the inertia loads from the pile
head and superstructure and kinematics loads from soil
movements.

-70
-80
-90
-100
-110
-120

Fig. 10. Lateral displacements of piles and
surrounding soils

pile and the soil around it is larger than that between the
abutment pile and the soil around it. Hence, the kinematic
loading on the bent pile is larger than on the abutment pile.
This can be further observed from Figure 11 which presents
7

291 k-ft
51 kips
39 kips

233 kip-ft

507 k-ft
Bent 8

Abut. 9

Bent 8

Abut. 9

Fig. 11. Diagrams of pile moments and shear forces

the diagrams of post-shaking pile bending moments and
shear forces. The maximum post-shaking bending moments
at the bent pile and the abutment pile are 507 kip-ft and 291
kip-ft, respectively. The maximum post-shaking shear forces
at the bent pile and abutment pile are 51 kips and 39 kips,
respectively. These structural demands are lower than the
structural capacities of the pile type selected. Note that the
actual design of the foundation piles for this project were not
based on the calculated structural demands using the
nonlinear effective-stress SSI time history analysis as
described in this paper. The methodology provided in this
paper is to demonstrate how to develop and apply p-y curves
in liquefying soils. Ideally, the FLAC SSI model should
include all bents and abutments and allow lateral stiffness
and resistance from the abutment walls. But the whole bridge
model will take too long to run that is not practical. The
partial SSI model presented in this paper only included Bent
8 and Abutment 9 pile foundations. A lateral stiffness from
the passive resistance of the abutment walls is ignored,
resulting in more deflections of piles along with the
surrounding soil movements but less differential
displacements between the piles and soils. The bridge
structural design including the piles was performed by a
structural engineer using a LPILE analysis and a dynamic
spectral analysis using the finite element program LARSA
(LARSE, Inc., 2006) with the p-y curves provided by the
geotechnical engineer. Kinematic loading from the soil
movements appeared to be ignored in the standard design.

Fig. 12. Diagram of bending moments of the abutment
pile

LPILE Analysis

The LPILE analysis performed here is to compare the results
from a pseudostatic lateral pile capacity analysis with the
results from the FLAC dynamic SSI analysis. The same CISS
pile properties are used in the LPILE analysis. The loading
condition in the LPILE analysis consists of differential soil
movements computed from the FLAC SSI analysis as shown
in Figure 10. The ru values used to derive the reduced
effective friction angles are the excess pore pressure ratios at
the end-of-shaking. The maximum bending moment and
Paper No. 5.13a

Fig. 13. Diagram of shear forces of the abutment pile

shear force from the LPILE analysis are about 233 kip-ft and
about 40 kips, respectively. These values are close to those
computed from the FLAC SSI model, indicating that the pile
bending moments and shear forces at the end-of-shaking are
governed by the permanent differential movements between
the piles and soils. Although the above LPILE analysis only
showed the results for the Abutment 9 piles, the comparison
can be performed for the Bent 8 piles to show the similar
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results. Note that the diagrams of the moments and shear
forces from the LPILE analysis are not similar to the
diagrams from the FLAC SSI analysis, primarily due to the
differences of soil-pile interaction mechanism used in the two
programs. In the FLAC model, the pile interacts with
localized soils. In the LPILE model, the p-y curve represents
the overall soil behavior. Also, the pile moments and forces
from the FLAC SSI are contributed by both the inertia loads
and kinematic loads while those from the LPILE analysis are
only contributed by the permanent differential movements
between the piles and soils.
SUMMARY AND CONCLUSIONS
This paper presents a practical method of developing p-y
curves for liquefying soils to facilitate the seismic design of a
water-crossing rail bridge. A nonlinear effective-stress FLAC
analysis was performed to compute the excess pore pressure
ratios for alluvial soils susceptible to liquefaction at the deep
depth. The Pore pressures are generated in response to shear
stress cycles, following the standard cyclic-stress approach
commonly used in the industry. The p-y curves of liquefiable
soils at different depths are based on the excess pore pressure
ratios, ru values, generated by the design earthquake. When
the ru value is less than approximately 0.2, the p-y curves for
the static condition can be applied. When the ru value
approaches 1.0, the p-y curve is updated using the soft clay
model with the post-liquefaction residual strength. A reduced
effective friction angle is used to develop the p-y curves
when the ru value is greater than 0.2 but not to result in a
reduced shear strength that is less than the post-liquefaction
residual strength. We performed a nonlinear effective-stress
FLAC analysis to compute the excess pore pressures at the
pile foundation locations for developing the p-y curves. A
FLAC SSI model was then built that includes the 24 inch
diameter CISS pile foundations and equivalent masses from
the superstructures to capture the inertia loads. The piles are
connected to soil grids through the p-y curves developed as
described above. The computed pile bending moments and
shear forces are compared reasonably well with the LPILE
analysis using the same p-y curves and same permanent
differential movements between the piles and soils.
The Level 3 seismic performance criteria allow the rail
bridge to have certain damage but prevent collapse. The
computed soil lateral movement of approximately 15 inches
is reduced to about 11 inches due to pile pinning effect. The
proposed CISS piles may deflect up to 11 inches during the
Level 3 seismic event but appears tolerable to the bending
moments and forces generated from the service and seismic
loading. Note that the actual bending moments and shear
forces on the piles induced by the soil movement are
dependent on the differential movements between the piles
and soils. It is recommended that the structural engineer
evaluate the lateral pile demands using the p-y curves
developed as described in this paper and consider the SSI
effect based on a relative deflection of piles versus soils
before considering a ground improvement program.
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